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ANALYSIS OF REINFORCED CONCRETE FRAMES WITH DEEP MEMBERS' 
by 
Walter G. Seek 
• 
ABSTRACT 
• 
• 
.. 
.. 
An experimental investigation was undertaken at Lehigh 
University to study the behavior of concrete frames with deep members. 
Provisions of the AC! Code(l) are compared with t~st results to de-
tennine whether the code requirements are applicable for frames with 
deep members. 
The aspects of frame analysis which were studied include shear 
transfer at construction joints, factors affecting the relative stiff-
ness of members, and the shear carrying mechanism. 
A reinforced concrete frame and a reinforced concrete 
bracket were tested to failure. The stresses and displacements measured 
irt the frame test are compared to values predicted by a finite element 
analysis, a limit analysis, and a direct stiffness analysis. 
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• ABSTRACT 
-· 
An experimen~al investigation was undertaken at Lehigh 
University to study the behavior of concrete frames with deep members. 
Provisions of the ACI Code(l) are compared with t~st results to de-
termine whether the code requirements are applicable for frames with 
dee.p members. 
• 
'l11e aspects of frame analysis which were studied include shear 
transfer at construction joints, factots affecting the relative stiff-
. ·ness of members., and the shear carrying mechanism. 
A reinforced concrete frame and a reinforced concrete 
bracket were tested to failure. The stresses and displacements measured 
in the frame test are compared to values predicted by a finite element 
analysis, a limit analysis, and a direct stiffness analysis. 
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ABSTRACT 
' 
An experimental investigation was undertaken at Lehigh 
University to study the behavior of concrete frames with deep members. 
Provisions of the AC! Code(l) are compared with test results to de-
termine whether the code requirements are applicable for frames with 
deep members • 
The aspects of frame analysis which were studied include shear 
transfer at construction joints, factors affecting the relative stiff-
ness of members, and the shear carrying mechanism. 
A reinforced concrete frame and a reinforced concrete with 
bracket were tested to failure. The stresses and displacements measured 
in the frame test are compared to values predicted by a finite elem·ent 
analysis, a limit analysis, and a direct stiffness analysis. 
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1. INTRODUCTION 
Tile purpose of this investigation was to study the behavior of 
concrete frames with deep beams or short columns, hereafter referred 
to as deep members. Extensive research has been conducted on deep 
beams, but most of this work has been limited to the study of 
stati~ally determinate beams. One reason that little work has been 
( done on frames with deep members is that they seldom occur in practice. 
~ However, they are used occasionally and since the behavior of a 
concrete frame with deep members may be markedly different from that 
of frames with members of usual proportions, it is felt that some 
research in this area is warranted. The results of this study will 
give designers a better appreciation of the problems involved in the 
design of frames with deep members. 
-
A major problem encountered in the design of frames is the 
determination of the relative stiffness of the members. nte effect of 
the increase in member stiffness at the joint is often ass\Ulled to be 
negligible. This assumption is generally acceptable, but when the 
joints are large compared to the lengths of the members the error 
·, 
resulting from this assumption becomes large. One approach to this 
problem is to assume that the joint material is perfectly rigid. <2) 
The member stiffness is then found by using clear heights for coltunna 
and clear spans for beams. The increase in stiffness of a member 
computed by this method would be 66 percent for a joint length equal 
' 
. '-.-;:_c-'-~" - - -- . -
~ ;_~ 
;Q 
. ~ . 
' ,--;"'· ··- ---- ,...,-.. ..,. 
• 
• 
• 
., 
V ' 
,( 
.1 
-3 
to 20 percent of the length of the member. Figure 1 shows that the 
actual increase in stiffness of this member would be over 300 percent. 
,l\nother approach(J) which makes allowance for the effect of joint 
stiffness uses the moment at the center line of the joint reduced by 
one third of the beam shear nrultiplied by the column width. This 
procedure is satisfactory for most building frames, but it is not 
satisfactory if the frames have relatively deep members. 
The design of shear reinforcement also requires special con-
sideration when deep members are used. Research( 4 , 5 , 6) on the shear 
carrying capacity of deep beams and corbels has shown that web • re1.n-
forcement placed perpendicular to the axis of a deep member may be 
. 
. ineffective in carrying shear. Based on this research it would seem 
reasonable to expect that web reinforcement in the deep members of 
a concrete farme might not be f_ully effective. Researc11 on concrete 
· (4 7) bracketsand deep beams • ·has also shown that the contribution of 
~the concrete in carrying shear which is allowed by the ACI code is 
very conservative for deep members. It might be reasonable to use 
higher values for shear stress than those given by the code. However. 
it would be risky to apply the results of tests of statically 
•• Q 
determinate members directly to the analysis of the shear capacity of ._..-. 
deep members in frames. Although the stress resultants for a portion 
of a deep member between the inflection points might be the same as 
-
[;/_ those for a statically determinate member with the same dimensions; 
the stress distribution and magnitude might be significantly different. 
· The transfer of shear across the construction joints between 
'l;,,, 
beams and col111011s is usually not analyzed since the shear atreaeea are 'tJ, 
'I 
.,;: 
• 
J 
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normally small. In frames with deep members the shear at conetruction 
joints may be large and should be.considered. 
Special attention should also be given to the anchorage of 
reinforcement in frames with deep members. A number of tests(B) 
conducted at the American University of Beriut have shown that deep 
members may be subject to bond failures even when the reinforcement has 
considerably more anchorage than required by Section 12.5 of the ACI 
code. (l) The reason that the code provisions for bond do not apply to 
deepcmembers is that the arch action, which results from inclined 
cracking, creates a much higher stress gradient in the reinforcement 
at the end of the member than would be predicted by flexural theory. 
Stresses r~sulting from shrinkage and temperature should be 
considered in the design of frames with deep members. Since frames 
with deep members are very stiff, the small displacements which result 
from support settlements, changes in temperature, and sl1rinkage 
produce high stresses. The failure of the AMC ware11ouse ( 9 ) Wilkins 
Airforce Depot, Ohio, resulted from a reduction of the shear capacity 
.of the beams due to the presence of unexpected tensile stresses in the 
beams. nte tensile stress was developed because the shrinkage of the 
beams was resisted by the relatively stiff colmnns. 'ltte beams failed 
in shear at the point of contraflexure • 
Two specimens were tested in order to study the behavior of 
frames with deep members. A reinforced concrete frame shown in Fig. 
2 and a reinforced concrete bracket shown in Fig. 3 were tested to 
failure. The frame was instrumentated to measure diaplacementa and 
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strains at critical sections. These measurements were compared to the 
values predicted by a finite element analysis, a limit analysis, and 
a direct stiffness analysis. 
.. 
l 
•• 
.~· 
• 
·-
t· 
; 
.. 
• 
.. 
· .... .. 
"'• '' 
. ~-
.. 
• 
• 
.. 
• 
,.! 
ii..,. 
•· 
.. 
• 
' 
" ... 
.. 
,. 
,. 
:·,· 
. 1 
' I. 
,, 
... 
' ' 
•• ·.1, 
!-
•• 
-6 
• 
2 .. DESIGN OF TEST SPECIMENS 
The frame was designed in accordance with the ACI Code(l) 
to carry an ultimate load of 85 kips. Moments and shears were 
determined by the direct stiffness method. Axial deformations and 
shear deformations were considered in computing moments and shears. 
.Member stiffnesses were based on the gross crosssectional area with 
1he modulus of elasticity determined according to the provisions of 
. 
' (1) Section 8.3.1 of the ACI Code. No allowance was made for the 
' increase in stiffness of the members at joint:s. 
The shear reinforcement of the beams does not comply with 
· Section 11.1.5 of the ACI Code. (l) This section requires that every 
· 45 degree line extending from the mid-depth of the member to the 
longitudinal tension bars shall be crossed by web reinforcement. The 
placement of beam shear reinforcement was based on the arch analogy I 
concept.(lO) Briefly, the arch analogy theory states that cracks foflll 
in a direction which must be parallel to the compressive stress 
tI trajectories. Figure 4 illustrates these trajectories. Since there • ·1· 
i 
' . 
is no shear transfer across the cracks, a free body of a portion of 
the beam betwen cracks acts as an arch. 'nle purpose of sl1ear . rein-
forcement then is to support the base of these arches. There is no 
need for ,web reinforcement within a distance ''d'' of the supports aince 
arch which lies within the distance ''d'' is already supported by the 
beam supports. There is also no need to have reinforcement croaaing 
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every possible crack. All that is required is that sufficient web 
reinforcement must be added to ca~ry the shear which is in excess of 
that whicl1 the concrete can carry. This reinforcement must be placed 
such that it supports at least one arch. The amount of shear rein-
forcement required is conrputed by the procedure given in the ACI Code(l) 
, 
for t,he design of bent-up web reinforcement. 
Tests which were conducted on simply supported beams seemed to 
indicate that the arch analogy theory is valid. More recent 
research(ll) has shown that the arch analogy theory should be refined 
to include the eff,ct of aggregate interlocking which can transfer a 
·~large amount of shear across the cracks. 
There are a nwnber of advantages and disadvantages in placing 
web reinforcement as suggested by the arch analogy theory instead of 
using stirrups. the economy gained by omitting stirrups and reducing 
longitudinal rein:torcernent is offset somewhat by the additional bending 
of loqgitudinal reinforcement required and by the increaseci difficulty 
of placing reinforcement. Research (l 2) has shown tl1at termi11ating 
tension reinforcement in the tension zone may reduce the sl1ear 
capacity of a beam by 30 percent. Bending the longitudinal reinforce-
ment eliminates the unfavorable stress condition that would result if 
, the bar were terminated. Reference (13) has shown that the omission 
:. of stirrups can greatly increase the susceptibility of bond failure• 
,, 
. .:-t 
of '·the longitudinal reinforcement. Reference (14) has shown that 
proper placement of stirrups insures a ductile failure and reduces 
crack widths. Some engineers(lS) feel that placing web reinforcement 
by the arch analogy method could lead to cataetropic failures since 
·• 
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tl1ere are sections of the beam where a diagonal crack could possibly 
' form, without crossing any shear reinforcement. Bent-up bars are not 
as effective as stirrups in preventing torsional failure. Often in 
practice little attention is given to stresses caused by torsion. 
Some designers were under the impression that since the building codes 
did not emphasize torsion, that the effect of torsion was not sig·nif-
icant. It is likely that the ''useless'' stirrups which have been 
required within the distance ''d'' from the support have prevented the 
failure·of some beains by torsional shear. 'lbe omission of shear rein• 
forcement within the distance ''d'' from the support is not justified 
for members subjected to torsional shear. For beams subject to large 
torsional moments -lt would be feasible to place reinforcement in 
accordance with the arch analogy theory only if stirrups are adde·d to 
carry the torsional shear. 
nte contribution of the concrete in carrying shear was deter• 
mined by the foz1nulas given in Section 11.4 of the ACI Code. (l) The 
computed diagonal cracking shear was found to be 27.2 kips for the 
upper beam and 21.0 kips for the lower beam. The difference in the 
capacity of the beams was due to the axial forces in the beaxns. the 
top beam was in compression and the bottom beam was in tension. 'lbe 
contribution of· the bend-up reinforcement was computed to be 12.8 lc.ipa 
for each shear span. The maximtm1 load that the frame could carry, 
based on shear computations, was 135.2 kips. 
The calculated ultimate nnment and shear capacities of the 
members were based on the ultimate strength provisions of the ACI 
·. - (1) (16) Code. . Research baa shown that these provisions may give 
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.unconservative results when they are applied to beams with a depth 
as large as those used in this frame. Most research has been carried 
out on relatively shallow beams and the results have been extrapolated 
to cover beams of much greater depth. It has been shown(l 6) that the 
shear strength of a beam is a function of the ratio of the deptt1 of 
flexural cracks to the spacing of these cracks. The crack spacing 
is approximately constant for beams of varying depth, but the depth 
of the crack penetration depends on the depth of the beam. Fo1u1ula 
11.4 of the ACI Code(l) does not reduce the allowable shear stress 
for deep members and therefore it over-estimates the shear strength 
of deep members. For a beam 4'-0'' deep the over-estimation is about , 
40 percent. The e~ror becomes progressively larger for deeper beams. 
·The maximum shear stress which could be transferred across the 
construction joint was determined by a shear friction analysis which 
was made in accordance with Section 11.15 of the ACI Code. Tile shear 
capacity of the construction joint was calculated to be 51.0 kips. 
The predicted ultimate shear capacity of the column was 9.3 
kips. Forruula 11-4 of the ACI Code was used to calculate the shear 
capacity rather than the deep berun fotrnula 11-22. Although the column 
is a deep member, formula 11-22 does not apply because the load is not 
applied through the compression face. The moments and shears in a 
portion of the column from the coluu111 mid-height to the base of the 
column are identical to those that would exist in a bracket. It might 
be assumed that foru,ula 11-28 which -.pplies,: to brackets could be uaed 
• 
... 
• 
,--~ 
.. 
''"' 
-· 
l . 
: ~ L • 
;, : 
. (r ; 
~:·: 
f·· 
;\', -
-~r 
•!I 
\ 
.,. ; 
1· 
,_ 
: ! . } .:· ; 
-~ ~ 
{ ~ 
~~ 
~ :,· 
... :,; 
,--
'. ~ 
' ..... 
··=· 
,-
1;,i 
-· 
.1 · 
,_! 
. ··~ 
, - . I . ' 
- j i' 
. . 
., 
i•' 
. ..., . 
.. . r 
" l: 
to evaluate the shear capacity of the column. The ultimate shear 
capacity of the colunm predicted ~y this foxurula ie 23.3 kips. 
-10 
Although formula 11-28 is not specifically stated to be applicable only 
to members loaded through the compression face, this author feels that 
thi9 formula should be used only for members which are loaded through 
the compression face. A recent study(l 7) of deep beams loaded in the 
same manner as the colUim1s also concluded that the ACI Code provision• 
for shear in deep members is valid only when the load is applied 
through the compression face. 
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3. TEST SPECIMENS AND INSTRUMENTATION 
3.1· Description of the Concrete Frame 
The dimensions and reinforcement of the concrete frame are shown 
in Fig. 2. The frame was loaded by a concentrated load at the center 
and ~~s supported at each end by rollers. Preliminary investigations 
indicated that due to the high depth to span ratio of the frame, a 
horizontal reaction of significant magnitude would be induced if one 
end of the frame was restrained, therefore, the frame was tested using 
rollers at both ends. 
The concrete mix used for the beams was designed for a strength 
of 4000 psi at twenty-eight days, the concrete for the columns was 
designed for a twenty-eight day strength of 5000 psi. Concrete com-
pressive strengths and tensile strengths are listed in Table 1. lbe 
conc-rete was moist cured for 14 days after casting. The concrete teat 
. 
cylinders were job cured. The concrete strengths at the time of 
·testing were considerably higher than the design strengths, partly 
because the. test was conducted about 90 days after the concrete was 
cast. The cement used was Type 1 portland cement, the fine aggregate 
was sand, and the coarse aggregate was crushed stone ag_gregate conforming 
to. ASTM C33. the lower beam, the coluo•ta, and the upper beam were 
cast separately. 
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The properties of the reinforcing steel are listed in Table 2. 
The static yield st:resses were 15,to 20 percent above the required 
minimum yield strength of 40,000 psi for intermediate grade rein-
forcement. 
3.2 Description of the Bracket 
The reinforced concrete bracket shown in Fig. 3 was proportioned 
such that the cross-sectional area and reinforcement were iden ti ca 1 to 
the columns of the concrete frame. The concrete used was from the 
batch used to cast the top beam. The bracket was supported on a 
homosote pad and loaded with a concentrated load at a distance of 6 
inches from the face of the support. 
3.3 Instrumentation 
The instrumentation for the frame is shown in Figs. 5, 6, and 7. 
Dial gages were used to measure the center line deflection, deflection 
' at the'supports, slip at the construction joints, axial and shear 
. 
deformations of the columns, lateral deflections and axial deformation• 
, of the beams. It was necessary to measure deflections at the supp,orta 
because the frame rested on compressible homosote pads. Level bars 
were used to measure joint rotations. A ten inch Whittemore gage vaa 
used to measure axial and shear deformations of the columns. 
Electrical resistance strain gages were placed on shear rein~ 
forcement, colunm ties, positive beam reinforcement, reinforcement 
crossing the construction joints.and column reinforcement. 'Ihe strain 
gage locations are shown. in Fig. 2. 'lbe strain gages for the co 1,u,m 
• 
• 
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reinforcement were placed outside the column section, because the 
protection for the gages destroys .bond over a length of reinforcement 
of about 3 inches. Bond is critical for the column reinforcement since 
the stress in this reinforcement may vary from zero to its maximum value 
in a length of about 6 inches. '!'he bond was destroyed by a coating of 
Permagun from the construction joint to these gages so that the strain 
measured would be the steel strain at the construction joint. Strain 
gages were placed on shear reinforcement, column ties and reinforcement 
crossing the construction joints to determine whether these bars are 
effective. Strain gages on the positive beam reinforcement were pro-
vided to determine midspan moments of the beams. These moments were 
used to check equilibrium. the strain gages for the top beam positive 
reinforcement were located 1 '-0'' from the midspan in order to reduce 
the effect of direct stresses caused by the center column. 'lbe frame 
was white washed for identification of cracking. 
3.4 Testing Procedure 
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3.4.1 Bracket Test 
The bracket was. supported on a compressible homosote pad 
and loaded with a line load at six inches from the face of the support 
as shown in Fig. 3. Loads were applied in increments of approximately 
5.0 kips. An attempt was made to measure deformations. The specimen 
was very stiff an~·therefore small errors which resulted from shifting 
of the specimen during loading oYershadowed displacements caused by 
deformations. 
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-14 f 3 •. 4.2 Frame Test 
The frame was simp\y supported at each end and loaded 
with a concentrated load at the center as shown in Fig. 2. Loads were 
applied in increments of approximately 10 kips. Gages were not read 
until about 10 minutes after the application of load in order that the 
gages could stabilize before readings were taken. At each load level 
both the maximum load and the load reached after stabilization of the ' 
gages was recorded. 
!,i 
\ j 
After each loading cracks were marked to show the extent of l I I I I 
·pepetration for the load level at which they occurred. Crack widtha t 
were measured to one.thousandth of an inch with a calibrated microscope. 
The test was concluded when the specimen failed to take 
increasing load as deflection increased. 
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4 •· THEORETICAL ANALYSIS 
4.1 Direct Stiffness Analysis ;; 
Two stiffness analyses were made. For the first analysis it 
was assumed that the members were prismatic over their full length. 
In the second analysis it was assumed that the joints were infinitely 
rigid. the results of these analyses are given in Table 3. The 
positive beam moment was 40 percent less and the negative beam moment 
was 300 percent greater for the second analysis as compared to the 
first analysis. The discrepancy between the two analyses would have 
• 
'been considerably greater if axial and shear defonnations had not 
been considered. 'l1le axial deformation of the beams relieved a sig• 
nificant portion of the colmnn moments. 
It was expected that an upper bound for the shears and momenta 
at any given section would be provided by either the first or the 
second analysis. The first analysis underestimates the column 
stiffness and s~ould therefore provide an upper bound for midspan beaa 
moments. The second analysis overestimates the column stiffness and 
. . I 
should give an upper bound for coluncr1 moments and shears and negative 
beam moments. 
4.2 Finite Element Analysis 
The CSTES Pro8Tam(lB) developed at Lehigh University by ' .·-' 
Erhard G. Schultchen and Celal N. Kostem was used for the finite eleaenc 
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analysis. 'nte CSTES program used triangular elements with assumed 
constant strain throughout the element. The program \,;as moc1 if ied 
slightly in order to increase the number of elements that it could 
acconnnodate and to punch new data cards during each run wi tl1 a reviee·d 
nodal point displacement field. 'Ibe finite element program will 
converge very rapidly if the data input includes nodal point dis• 
placements whi~h are close to the true displacements. Therefore, by 
prograrmning the computer to punch data cards with the revised nodal 
. point displacements during each run, it was possible to reduce the 
cost of the succeeding run. 
• 
For the concrete frame analysis, the element properties were 
based on test data.given in Tables 1 and 2, where an element contained 
/.both concrete and steel, a transformed element based on the modular 
ratio of concrete and steel was used. When the tensile stress in the 
concrete exceeded the ultimate tensile capacity of the concrete, the 
elements were modified to allow for cracking. Thia was accomJ)lis11ed by 
reducing the modulus of elasticity of the elements to about one 
thousandth of their uncracked modulus of elasticity. A preliminary 
investigation indicated that it would not be necessary to modify the 
assumed cracking stress to account for triaxial stresses, or to account 
for the variation of cracking stress with the rnininrum principle stre••· 
The Zia failure envelope for concrete(l 9) shows that the cracking 
stress is not very sensitive to the value of the minimum principle 
stress unless this stress is greater in absolute value than the 
unconfined cracking stress. 
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'lbe nt.unber of elements required was reduced by consideration 
of the syuunetry which exists about; the center line of the frame. nte 
number of elements required was also reduced by using relatively large 
elements in portions of the frame where the stress gradient was low. 
'A large number of elements were required to analyze the frame even 
./ 
after these reductions were made since there were several regions 
where the stress gradient was very high. A total of 714 elements were 
used. The number of cycles required for convergence was reduced by 
assuming the frame to be loaded at the points which were support 
points in the actual frame. This assumption had the effect of 
increasing the number of support points, and thereby increasing the 
~· rate of convergence. 
In the CSTES program, the simultaneous equations required to 
derive the stiffness matrix were solved by Gauss-Sidel iteration. It 
was found that the convergence of this iteration was very sensitive 
to the value of the over-relaxation factor used. With an over-
relaxation factor of 1.96 convergence of one percent accuracy was . 
obtained in 1200 cycles. With an over-relaxation factor of 1.98, 
convergence was obtained in 400 cycles • 
Moments could not be determined exactly from the finite element 
analysis, since stresses were given for only a limited number of points. 
A straight line strain distribution could not be assumed due to the 
large stress concentrations and high shear stresses which were present. 
Moments were however determined approximately and they were found to 
agree reasonably well with the results of the direct stiffness ·analyaia 
• 
which assumed the joints to be infinitely stiff. Since the effect of 
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, stress concentrations is considered by the finite element analysis, 
cracking of the concrete in the negative moment region of the lower 
beam was predicted at a much lower load than would be found from the 
direct stiffness analysis. 
The finite element analysis was used to plot the stress 
trajectories for the frame at a 5 kip load level. Tilese stress 
trajectories are shown in Fig. 8. Since there are no shearing stresses 
parallel to the stress trajectories, the force between any two parallel 
trajectories must remain nearly constant where the trajectories are 
relatively straight. Hence the distance between two trajectories 
il 
~ 
gives an indication of the magnitude of stress between the trajectoriea. 
As the distance between trajectories becomes smaller, the stress 
becomes larger. It is evident from Fig. 8 that there are very large 
stress concentrations at the exterior colunms. These stress concen-
trations lead to cracking of the concrete sooner than would have been 
predicted by the stiffnes analysis. After the cracks had formed the 
tensile stress trajectories were forced to change their path. The 
tensile trajectories could cross cracks 
Since the. strains are proportional to stresses, it is obvious from 
Fig .. 8 that plane sections will not remain plane after loading. 
, (20 21) Photoelastic and analytical studies have been made , 
t~ determine the stress concentrations at corners of openings in deep 
beams. The stresses in deep beams with large openings are identical 
to the stresses i~, a frame which has the same geometry; therefore, 
the results of these studies may be applied to the analysis of frarea . 
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with short co·lumns. It was found that stress concentrations as high as 
2.0 may exist at corners. This re~ult was generally in good agreement 
,with the results obtained by the finite element analysis. 
In some studies(2 l) twice the amount of reinforcement that would 
be required for equilibrium was added at corners in order to accorm,,odate 
No additional 
/ the increased stresses caused by str~ss concentrations. 
reinforcement was added in the frame specimen to take care of stress 
concentrations. Stress concentrations effect the ultimate strength of 
a structure only when it is relatively brittle. 'nlis author feels 
that cracked reinforced concrete members are sufficiently ductile that 
it is not necessary to consider the effect of stress concentrations 
i 
. in computing their ultimate strength. 
• 
'!be mode of failure determined by the finite element analysis 
was cracking of the concrete starting in the lower beam at the interior 
face of the exterior column. This crack propagated through the joint 
at approximately a 45 degree angle until failure occurred. The ultimate 
load pre~icted by the finite element analysis was 49.0 kips. 'Ihe 
deflection at ultimate was predicted to be 0.048 inches. 
4.3 Limit Analysis 
The limit analysis was based on the that the ultimate 
load of the frame is reached when enough plastic hinges have formed to 
provide a mechanism. the joints were assumed to be infinitely stiff. 
'Ihe yield strength of the reinforcement was taken to be 48 ksi. 
~ 
• 
Ultimate moments were determined according to the ACI Code(l) proviaiona. 
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Since the ultimate dependent on the axial load in 
the column, it was necessary to u~e a trial and error procedure to 
determine the ultimate colunm moments. If the effect of axial load 
Ion beam n,oments is neglected, the frame is only one degree indeterminate 
due to synunetry. Since the frame is one degree indeterminate, only 
one mechanism is possible. '!11e axial load in the beams ia small and 
so neglecting the effect of axial load in computing the ultimate 
flexural capacity of the frame is justified. Normally it ,;.;ould be 
necessary to make a guess as to which hinge would be the last hinge 
to form. However, an elastic analysis was made prior to the limit 
analysis. From this analysis it was determined that the last hinge 
to form would be at the midspan of the beruns. Since the bottom beam 
is in tension, it reaches its ultimate moment before the upper beam. 
. The presence of axial load in the beams has little effect on the 
ultimate load capacity of the frame since the reduction in M in , u 
the bottom beam due to tension is almost balanced by the increase in 
M in the upper beam due to compression. u 
h,' 
II 
I 
• 
The neutral axis of the colmnns was located according to the 
provisions of section 10.2.7 of the ACI Code. (l) 'l1le value for k1 given in this section is based on a concrete strain of 0.003. Because concrete 
is a.strain softening material, equilibrium of internal forces would 
require that k1 must become smaller when the concrete strain exceeda 
0.003. To find the actual value of k 1 would require additional 
computations based on the actual stress-strain relationship of the 
·, concrete. The accuracy gained by refining the value of k 1 is generally 
not sufficient to jus~ify the additional computational effort required. 
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In comput~ng hinge rotations, eu was assumed to be 0.01 although 
\ due to the short shear span of th~ column, the value of e predicted u 
by most formulas is well above 0.01. '!1,e hinge length required to 
achieve the necessary hinge rotation in the columns was 1.41 inches. 
The hinge length was computed to be 3.50 inches baaed on formulas 
• 
given in Ref. 22 and 1.95 inches based on formulas given in Ref. 23. 
These formulas were based on tests of members with much larger span to 
depth ratios than the columns of the frame being analyzed and possibly 
are not applicable for this problem. The shear span of the column 
is only 6 inches so if one assumes that the hinge length is 3.5 inches, 
then in effect it is being assumed that the inelastic curvature at 3.5 
-.inches from the point of ultimate moment is at least equal to half of 
the ultimate curvature. The moment at this section is less than the 
yield moment and so it could not have any inelastic rotation. Despite 
this seeming inconsistency, the hinge rotations computed might be 
conservative, since the ''analytical'' method of computing r1inge 
rotations is actually empirical. 
The hinge rotations may be determined conservatively by 
assuming that the hinge length is one half of the distance between the 
point of maximum moment and the point where the moment is equal to the 
yield moment. If we assume that the yield moment is eight-tenths of 
the ultimate moment then the hinge length is 0.60 inches. For a 
hinge length of 0.6 inches, the hinge rotation is 0.0025 radians and 
the correspo_nding ultimate load is 120 kips. If the hinge rotation ia 
asstDDed to be adequate, the conrputed load is 14 7 kips and the center 
line deflection at this load is 0.147 inches. 
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• 
5. TEST RESULTS 
5.1 Bracket Test 
The bracket dimensions and reinforcement are shown in Fig. 3 • 
. ·Load was applied in 5 kip increments at a point 6 inches from the 
sup~ort. No cracking occurred until a load of 25 kips was reached. 
·. At this load a crack suddenly formed which penetrated the full depth ·of 
the bracket from the,loading point to the support. 1.'he location of 
this crack is shown in Fig. 3. 
As the bracket was loaded it rotated slightly due to the 
· compression of the homosote support pad. The movement of the dial 
gages caused by this rotation was large compared to the deflections 
being measured. To prevent the rotation of the bracket, shims were 
placed under the base of the specimen. When the bracket was re-loaded, 
a crack suddenly formed in the base of the specimen at a load of 21.2 
kips. 'Ibis crack is shown in Fig. 3. When thie crack formed the load 
• dropped-to about 2 kips. 'the load could not be increased as the 
deflection was increased. An inspection of the crack trajectory 
indicated that it had not crossed any reinforcement. When shims were 
placed such that any crack which might form would have to cross rein• 
forcement, it was possible to re-load the bracket. 
• 
· At a load of 52. 3 kips the vertical portion of the apeciaen 
failed in flexure. 'the shear stress in the bracket at this load ... 
1,090 psi, baaed on the net section. 
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After the ultimate load was reached the load capacity of the 
. bracket decreased as defl~ction wa~ increased, but the specimen proved 
to be very ductile. At a deflection of one inch the load was still 
25.0 kips. At this deflection the concrete had spalled off ex·posing 
the reinforcement. At a rotation of about 20 degrees the load vaa 
still in excess of 10 kips. 
• 5.2 Frame Deflections and Displacements 
The load-deflection curve plotted in Fig. 9 indicates that the 
frame was initially very stiff. At a load of 20 kips the center line 
deflection was less than 0.01 inch. The frame stiffness decreased with 
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increasing load. The stiffness of the frame at a load of 110 kips was 
about 50 percent of the frame stiffness at a load of 40 kips. This 
decrease in stiffness was largely due to cracking of the concrete. 
.. 
'!he end restraint of the beams was greatly reduced by diagonal tension 
. cracking of the beam just below the columns. At the ultimate load the 
end restraint was negligible and after this load was reached the beam 
stiffness was approximately the same as the stiffness of a simply 
supported beam. 
The axial deformation of the top of the upper beam is plotted 
in Fig. 10. It is interesting that this plot is very similar in shape 
to the load-deflection curve. 1be horizontal displacements and 
rotations at the ends of the frame are shown in Fig. 11 for a load level 
of 63.8 kips. '!he beam rotation measured by the level bars was larger 
than the rotation measured by the dial gages. This is explained by the 
fact that at the end of the beam the plane section did not remain plane. 
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~ 
· Stress concentrations were developed at the intersection of the beam 
and column which affected the displacement of points on the beam near 
the column. 'Ibis difference in beam end rotation measured at tl1e 
center of the joint from that determined by measuring the horizontal 
deflection of the beam at the top and bottom of the end of the beam 
I were predicted by the finite element program. It had been expected 
that it would be possible to measure the slip at the construction joint 
between the beam and the column by placing a dial gage above and 
below this joint. However, readings of these gages seemed to indicate 
that the· relative movement was in the opposite direction from wt13t it 
actually was. '!here was some lateral expansion of the column due to 
axial loading and cracking caused by moment and shear. 11iis expansion 
was apparently large compared to movements at the construction joints 
and overshadowed the effect of any slip which might have occurred at 
: ... 
• 
' •, 
~ 
• ; 
.I 
. '
' 
the joints. It was determined that any slip that might have occurred ~ 
at the construction joints was small. 
• 
' 
The measurements of the axial deformation of the exterior 
columns indicated that they effectively increased in length as the 
applied load was increased. This increase in length was due to an 
expansion of the colunm caused by high shear stresses. An effective 
·expansion due to cracking may result from shear loading. The maxitlUIII 
axial elongation of 0.015 inches occurred at a load of 116.6 kips. 
In a study(l 7) of deep beams used to connect shear walls, 
several beams were loaded in a manner very similar to the way the 
· columns of this frame were loaded. All of these beams experience,d an 
increaee·in length. I As a result of this axial elongation both top 
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and bottomireinforcement were in tension over the entire length of the 
beam. In the· frame tes.t there wer:e no strain gages on the column 
reinforcement on the compression side and therefore it was not possible 
to determine whether the reinforcement on the compression side of the 
column was in tension • 
. .. 
.=-
.r 
5.3 Failure of the Frame 
The fai.lure of the frame was initiated by a shear fai.lure which 
began in the lower beam at about the intersection of the center line 
of the column and the construction joint. The location of this crack is 
o:shown in Figs. 12 and 13. This crack greatly reduced the ability 
of the column to carry additional moment or shear. Additional load 
beyonq the load which caused this cracking was carried mainly by 
increased moment at the midspan of the beams. '!be ultimate load reached 
was 130.2 kips. 
---Cracks formed at either end of the lower beam at about the 
center line of the columns, but it was the crack at the East end which 
leadi to the failure. At the West end of the frame a #3 reinforcing 
, . 
bar had been placed at a 45 degree angle across the construction joint 
in order to .,determine the effectiveness of such reinforcement in 
carrying shear across construction joints. This reinforcement was 
approximately perpendicular to the crack and therefore, it was effective 
in limiting the growth of the crack. The effect of this reinforcement 
• 
\I 
• 
was to force the failure to occur at the opposite end of the frame where 
there was no such reinforcement. It is likely that the ultimate load 
would have been increased significantly had there been diagonal rein-. 
. forcement across all construction joints. 
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At the maximum load the shear reinforcement in the West side 
of the frame was stressed to 4 ks:f,, and the shear reinforcement in the 
East end where diagonal cracking was pronounced was 47 ksi. The stress 
in the East end shear reinforcement remained low until diagonal cracking 
occurred at an applied load of 130 kips. 
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6. DISCUSSION OF ANALYTICAL AND EXPERIMENTAL RESULTS 
\ 
• 
6.1 Bracket Test 
It is interesting that the bracket was able to carry additional 
load after the formation of a diagonal tension crack which penetrated 
the full depth of the bracket. Shear in reinforced concrete beams is 
generally assumed to be carried by diagonal tension. After the crack 
penetrated the full depth of the bracket at a load of 24 kips, the 
shear could no longer be carried by diagonal tension, since tension 
can not be transferred across a crack. After cracking the shear was 
carried by dowel action and shear friction. Research( 9) has shown that 
dowel action may carry between 10 and 30 percent of the shear, and 
that the remainder is carried by shear friction. 
Shear friction is developed when the surfaces on either side 
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crack. Since the surfaces are rough, they will have to move apart in 
order to slide over each other. As these surfaces move apart a tensile 
force is developed in the reinforcing steel which is balanced by an 
equal and opposite compressive force across the crack. The shear which 
can be transferred across the crack is equal to the product of this 
compressive force and the coefficient of friction. The coefficient 
of friction may safely be assumed to be 1.0 when flexural stresses are 
·small. 'Ihe reinforcing crossing the crack can be assumed to be stressed 
to its yield stress. The shear capacity of the bracket predicted by 
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:the shear friction theory was 88 kips. This load would result in a 
shear stress on the gross section ·of 1380 psi. 
At a load of 21.2 kips a crack formed in the base of the 
bracket specimen. this crack is shown in Fig. 3. After the formation 
of this crack it was not possible to apply load to the specimen until 
shims were placed under the reinforced portion of the base. It is 
interesting that the crack avoided crossing the reinforcing and that 
the bracket which had a much smaller cross-sectional area, was able 
to carry considerably more shear than the unreinforced portion of the 
base. This demonstrates very well the effectiveness of longitudinal 
reinforcement in increasing the shear capacity of deep concrete membera. 
It was expected that the results of the bracket test might be 
used to determine the shear capacity of the columns of the frame. 
:, The moment and shear in the bracket was identical to the moment and 
shear in the exterior columns of the frame for some corresp,onding frame 
load. Generally if two members with identical section properties are 
subjected to identical generalized stresses, they would be expected to 
· fail at the same loading. However, the load carrying capacity of deep 
members depends not only on the magnitude of the applied load but also 
,/ on the manner in whic;h the load is applied. The reason that tl1e manner 
' 
'i 
' 
' ,, 
" 
of loading is important can be understood from a study of Fig. 14. 
figure shows the freebody of a small square at the tip of a flexural 
Thia 
.. 
crack. lbe force ''£'' results from flexural stresses at the tip of the 
crack. 
\ 
Force ''c'' is the compressive force which result• from the 
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inclination of the compressive stress trajectories when the load is 
applied to the top surface. The ~rack will continue to propagate 
whenever the principle tensile stress is greater than the cracking 
stress of the concr_ete. '!he compressive force ''c'' which reduces 
l the principle tensile stress is not present if the load is applied aa 
. -it is in the exterior colwnns of the frame. This compressive force 
''c'' makes a bracket which is loaded through the top surface effectively 
stronger than one that is loaded in some other manner. 
The ultimate load of the bracket was computed to be 23.3 kipa 
based on the provisions of section 11.14 of the ACI Code. (l) 'lttis 
load is approximately equal to the load which caused cracking, but 
·it underestimated the ultimate load. A load of 52.3 kips was reached 
at this load the vertical portion of the specimen failed in flexure. 
6.2 Frame-Displacements 
The load-deflection curve for the frame was calculated by a 
finite element analysis, a limit analysis, and a stiffness analysis. 
Figure 9 shows that the load-deflection curve for the frame is very 
closely approximated by the curve computed by the finite element 
.. analysis up to a load of 49 kips. The load-deflection curve compute,d ·\· •. 
by a combination of the limit analysis and the stiffness analysis 
which considered joint stiffness approximates the true behavior of the 
frame-reasonably well over the full range of loading. The stiffness 
analysis which assumed the col,an,na to be prismatic provided an upper 
bound to the true deflection. 
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It has been expected that there would be a decrease in the 
length of the upper beam and an increase in the lengt11 of tl1e lower 
• beam due to the axial forces in· these beams. '!1le lower t)eam increased 
in length more than predicted by the theoretical analysis. n1e upper 
beam did not shorten as much as predicted. Although there was 
shortening in the upper beam due to an axial compressive force, flexural 
and shear cracking caused an expansion which completely offset thia 
axial shortening • 
Shear deflection may be a significant portion of the total 
deflection for deep beams. The shear deflection for the frame at 
ultimate load was computed to be only 0.006 inches. This deflection 
. is small compared to the flexural deflection and therefore it was 
; 
~ 
' 
,, 
• 
ii 
II 
" I 
neglected. It was assumed that cracking would not have a significant 
effect on the shear deflection. 'Ibis assumption would be very good if 
the beam could be assumed to behave in accordance witl1 conventional bea11 
theory.. In the real beam, the effect of cracking on shear deflection 
is probably significant since the effect of cracking on shear stress 
is not so localized as would be assumed by beam theory. If the real 
stress distribution were known, it would theoretically be possible to 
compute the shear deflection. The true shear deflection is included 
in the finite element analysis, but it is not possible to separate the 
shear deflections from the bending deflections. 
6.3 Frame Moments 
The momenta computed from measurements of strains of the 
r_,inforcing bars are given in Table 4. were determined 
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• i by a computer analysis which assumed linear elastic behavior. Since 
a shear failure occurred before the ultimate flexural capacity of the 
. 
members was reached, it was decided that it would not be necessary to 
use a non-linear analysis. 'nle moment at a given section was determined 
by taking the sum of the moments of the internal forces about the 
centroid of the section. The compressive force was taken as the sum 
of the tensile force in the reinforcement· and the axial load on tr1e 
section. The internal moment arm was fou·11d by satisfying compatibility 
and equilibrium in the axial direction. The axial force in the beams 
' was found by consideration of the equilibrium of forces acting on the 
A check on _the accuracy of these moments was made by computing 
' 
the applied load that would be required to satisfy equilibrium with 
these moments. this computed load was then compared to the actual 
applied load. These loads are given in Table 5. At the lower load 
I~ • 
I 
• ,,, 
,: levels the computed loads do not agree well with the actual loads. 
; _,;,· 
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-Cracking had not developed at these lower loads and so the concrete 
wa~ carrying a significant amount of tension. The magnitude of this 
tension force can not be determined from measurements of steel strain. 
Neglecting this tensile force in the concrete resulted in computed 
internal moments which were considerably smaller than the actual 
internal moments. After cracking of the concrete, the computed load 
agreed reasonably well with the actual load. The. agreement is better 
if the.actual load is compared to the maximwn load attained than if ,l ft, 
-i~ is compared to the lower load which was measured about 15 minute• 
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after the initial application of load; even though the steel strains 
. 
were measured at the lower load. The drop in load was due mainly to 
the time dependent deformations of the concrete. Since the applied 
deflection was not changed as the load dropped, there was little ' . I 
cha.nge in the steel strain as the load decreased. 
Near the ultimate load of the frame, the load required to 
maintain equilibrium with .the computed internal moments was greater 
than the actual appl~ed load. A possible reason for this is explained 
by the arch analogy theory. The strain gages for the bottom rein-
forcement of the top beam had been placed 1 '-0'' off the beam center 
line in order to minimize the effect of local stress concentrations 
caused by the cente·r colmnn. Research (B) has shown that the m·omenta 
away from the maximum moment region of a beam may be grossly 
overestimated when they are computed based on the steel strain at 
that section. The reason for this can be explained by the analysis 
of Fig. 15. 'This figure shows the freebody of the portion of a beam 
' between two cracks. If moments are taken about point Ai~ is obvious 
that the moment caused by the change in bond forces can be no greater 
than the moment which can be provided by shear friction, dowel forces, 
and the moment at the top of the freebody. As the cracks become 
deeper and wider these resisting moments decrease and so the bond 
force 6T must decrease. This shows that the steel stress at a point 
so~e distance from the point of maximum moment may be very near the 
maximum steel stress even though the moment may be much smaller. 
;Equiiibrium of internal and external moments at this aection ia t 
maintained by a decrease in the internal moment arm. Thia poaaible" 
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over-estimation of moment in the upper beam would have caused an over-
. estimation in the computed applieq load at the higher load levels. 
r 
,~· 
A comparison between moments predicted by the stiffness analysis 
and those determined from strains in reinforcing steel is given in Figa. 
16 and 17. Figure 16 shows that the maximum midspan beam moment was 
predicted reasonably well by the stiffness analysis which did not 
• 
consider the effect of joint rigidity. For loads above 100 kips the 
maximum midspan beam moment was underestimated) This was partly due 
to the reduced ability of the column to accept moment which resulted 
from the shear failure that occurred in the column and in the joint I 
be:tween the beam and the column. I 
i 
' , 
l 
I 
1 
' 
The negative beam moments were not predicted well by either of 
·t·he stiffness analyses. 'llte stiffness analysis which did not consider 
·joint stiffness under~estimated negative beam m~ments by about 60 
I • j 
1 
I 
percent. The stiffness method which assumed the joints to be infinitely: 
stiff over-estimated the negative beam moments by about 40 percent. 
The internal moment in the beam was also computed based on 
stresses obtained by the finite element analysis. Although it was not 
possible to compute this moment with a great deal of accuracy, it 
appe·ared that this moment did agree reasonably we 11 with the actual 
moment in the beam. '11te total midspan moment for the lower beam with 
an applied load of 5.0 kips was found to be 8.8 ft-kips from the 
finite element analysis. The midspan moment found by the stiffness 
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analysis which assumed the joints to be infinitely stiff was 8.10 ft-kipa. 
It is difficult to compute moments from the results of the finite 
·elemen~._.,,analysis since stresses are given at only a finite nuaber of (._..._;,, • 
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points. When plane sections remain plane, the strains at two points 
on a section are su~ficient to determine the moment at the section. 
But as is shown in Fig. 18 which was plotted from the results of the 
finite element analysis, plane sections did not remain plane. lbere 
were significant out of plane deformations due to high shear atreeaea 
and due to stress concentrations near the columns. 
6.4 Failure of the Frame 
It is interesting that the failure was initiated in the joint 
rather than in the beam or in the column. Generally if the members 
,. 
of a frame are capable of carrying the applied loads then it can be 
assumed that the frame is safely designed. Since frames -witl1 deep 
members can fail by cracking of the joints, it is necessary to guard 
against this type of failure. It was expected that the best mett1od 
,. 
,; 
' 
• 
i 
i 
for analyzing this type of failure would be provided by the st1ear " 
friction theory. This method of analysis consists of assuming a crack 
to form at some arbitrary location. The shear stresses acting on thia 
crack are determined by consideration of equilibri1:ff11. The amount of 
shear which can be transferred across the crack is taken to be equal 
to the area of steel crossing the crack, multiplied by the yield stress 
of the steel, multiplied by the coefficient of friction. The effective 
coefficient of friction is a function of the roughness of the cracked 
surface and the width of the crack. If the mom,ent at the section ia 
not very high, the crack width may be assumed to be small and the 
coefficient of friction may eafely be •••umed to be 1.0. Cracka 
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in a number of possi.ble locations are analyzed until the designer ia 
satisfied that at no possible crack location does the applied shear 
exceed the shear capacity. 'The maximwn colUitttt shear based on the 
shear friction analysis of the actual crack was 51.0 kips. 'Ibis is 
considerably greater than the amount of shear which caused failure. 
A close inspection of the crack trajectory showed that the 
crack had followed a path internally which was significantly 
different from the path which it followed at the surface. An 
inspection of the ~rack trajectory at the surface would seem to 
indicate that the crack crossed a significant amount of reinforcement 
at an angle favorable for the development of shear friction. 
1 
! 
i 
j 
Actually the crac~ had followed a path which either avoided crossing 
reinforcement or crossed only after the development of splitting along 
the reinforcement. This splitting greatly reduced the ability of the 
reinforcement to contribute to shear resistance. 1be splitting was 
caused largely by tensile stresses which resulted from the dowel 
action of the reinforcement. This dowel splitting failure mode is 
discussed in detail in Ref. ).1. The presence of high bond stresses 
on the reinforcement at the location of the crack contributed to the 
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tendency of the concrete to split along the reinforcement. Section 
11.15.2 of the ACI Code(l) states that reinforcement must pass approxi~ 
:mately perpendicular to any assumed crack in order to be assumed to b,e 
effective in increasing the shear friction capacity. 
)l 
It seems reasonable to assume that the axial load in the 
cohmm would contribute to shear friction. That this is not a safe 
assumption can be seen from Figs. 19 and 20. Much of the axial load 
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is transferred through the rather narrow section of concrete to the 
right of the crack. Any shear ''V''. which would be assumed to exist 
would create a moment. The portion of the freebody below the 
construction joint which does not contain any reinforcement is rather 
narrow and therefore it would carry only a small moment. Hence the · 
shear force ''V'' must be smal 1. 
/. 
~ 
The actual mechanism for shear transfer was probably a combination 
of shear friction, dowel action, and direct shear "V''. The stress 
distribution at this section is highly indeterminant and no attempt 
.. was made to determine exactly how the shear was transferred. 
'11le location of the shear failure and the load at which 
cracking occurred was predicted reasonably well by the finite element 
analysis. The finite element analysis underestimated the load at 
which cracking occurred by about 20 percent. For the finite element 
\analysis, cracking of the concrete was assumed to occur whenever the 
tensile stress exceeded the tensile strength of the concrete as 
"· 
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• 
! 
, 
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• 
' 
determined by the split tensile test. The tensile strength of the { 
t 4 concrete in flexure is about 25 percent greater than the tensile 
strength obtained by the split tensile test., This would explain the 
' fl 
• 
underestimation of the cracking load by the finite element analysis. t 
at the face of the colunm as was predicted by the finite element 
analysis. 
The ultimate load reache~ waa considerably greater than had I ~ 
\ been predicted by the finite element analysis. 
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;
1 pro·gram used in this analysis does not take into account the post-
cracking strength afforded by agg~egate interlocking and so it can . 
not be used to accurately predict the ultimate load of deep concrete 
members. It would be possible to consider the effect of aggregate 
interlocking with a finite element analysis if a more sophisticated 
element than the·constant stress element was used. The elements 
required would be similar to those used by Dr. Ngo< 24) in his study 
of·. bond stresses .along reinforcing steel. These elements could carry 
compression but no tension after the cracking stress was reached, and 
the shear stress that it could sustain would be a function of the 
w__idth of the crack. Empirical formulas which relate shear friction 
to crack width are given in Ref. 11. No attempt was made to develop a 
finite element program which would take aggregate interlocking into 
account because the cost of running such a program would be prohibitive 
for this frame. 
There are several things which could have been done to prevent 
a premature shear.·-·fai~ure. Colunm ties placed just below the 
i 
construction joint would have been very effective in limiting splitting · 
due to dowel action. These ties would probably have had a significant 
influence on the ultimate load which the frame could carry. 0 A 30 bend 
in the colunm reinforcement just below the construction joint would 
also have limited splitting and would have forced the crack to cross 
either the beam reinforcement or the column reinforcement. This could 
• 
·fr 
possibly have prevented the failure at the joint without·any additional 
material. ·The safest remedy would probably be the addition of " . 
0 reinforcement croaaing the construction joint at about a 45 angle • 
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It mi·ght be re~sonable to design this reinforcement to carry the full 
shear stress with a very low fac~or of safety. Three 15 bars would 
be sufficient to carry the shear. Strain measurements on the 13 bar 
which crossed the construction joint at the West end of the frame 
t 
1 showed that it was effective in carrying this shear. It is likely that 
it was this reinforcement which forced the failure to take place in 
the East end of the frame rather than the West end. 
It is interesting t~at there appears to be significant shear 
cracking in the East end of the beams but not in the West end. 'ltlia 
is shown in Fig. 12. Research( 2S) has shown that a continuous beam 
carries shear in the same manner that it would if it were replaced 
by simple span beams spanning between the inflection points. The 
inflection point for the beams was about 5 '-0'' from the center of 
the frame just prior to failure. After failure the tensile rein• 
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' forcement of the East colunm went into compression, which indicated I 
that the negative moment was greatly reduced. The reduction in 
negative moment caused the inflection point to shift closer to the 
support. The effect of this shift would be to increase the effective 
shear span to depth ratio of the "simple span" between tl1e inflection 
points. The shear span to depth ratio was increased from about 2.8 
to 3. 7. Figure 21, which was taken from Ref. 26, shows t11at \.J11er1 the 
shear span to.depth ratio was increased from 2.8 to 3.5 the shear 
strength of the beam was reduced by 15 percent. This reduction of 
. shear strength in the East end of the frame would cause the increase 
in d.iagonal cracking which was observed in the Eaat end of the fr .... 
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An ultimate load of 147.0 kips was predicted by the limit 
analysis. '!be closeness of this prediction to the actual ultimate 
load was largely due to a counterbalancing of errors. Tile ultimate 
moment capacities allowed by limit analysis are at least 10 percent 
less.than the true capacities of the member. This underestimate of 
moment capacity was counter balanced by the failure in shear of the 
column before the ultimate moment of the column could be reached. 
I, The stiffness analysis which assumed the joints to be 
inf.initely rigid gave an upper bound to the shear in the col111un. If 
·conservative assumptions concerning the shear .capacity of the column. 
· and the joint are made, the stiffness analysis could provide a lower . 
bound to the stre~gth of the frame. 
Although the web reinforcement in the beams .did not meet the 
provisions of the ACI Code, it was found to provide adequate shear 
capacity. The web reinforcement was provided in accordance with the 
arch analogy theory. '11tis theory is based on the assumption that the 
tensile splitting of the concrete along the compressive stress 
. trajectories in the beam creates arches. It(lO) has been verifie·d 
' ! that simple span beams with shear reinforcemen~ provided such that 
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it supports these arches, will not fail in shear. The compressive 
·stress trajectories of a beam with negative end momenta do not form 
arches which terminate at the beam support as assumed by the arch analogy 
analogy theory, and so it is interesting that the web reinforcement 
. ' 
• 
. which was provided in accordance with the arch analogy theory behaved. 
satisfactorily in the frame. 
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It had been expected that the lower beam would be cracked 
considerably more than the upper beam due to the increased tensile • 
I 
• 
l 
., 
' 
stresses ·which resulted from the axial load in the lower beam. However,· 
·j' 
'• 
... 
. , 
·, 
cracking of the lower beam was not much greater than that of the upper 
beam for several reasons. It has been mentioned previously that the 
exterior colunms became longer as the load was applied. This increase 
in column length caused the upper beam to deflect more than the lower 
,beam. Also before loading there was a compressive axial force in tr1e 
lower beam and a tensile axial force in the upper beam due to sr1rinkage • 
The lower beam was cast 4 days prior to the casting of the upper beam 
and so shrinkage of the upper beam was restrained by the lower beam. 
The magnitude of this force might have been as high as 62.0 kips. 
. 
---attempt was made to measure these forces but since the concrete vaa 
still damp, the strain gages were not stable. 
The failure was ductile even though the frame was shear - ' 
- i 
i: critical. '!his ductile behavior after diagonal cracking was the reault 
• 
of the redistribution of moments and shears. Diagonal tension cracking 
of a colunm ~ay not be as critical as the diagonal tension cracking ~ 
:iJ of a beam. rhe ·shear force on a beam will generally not be 
t :. 
ti significantly affected by diagonal tension cracking. When diagonal 
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tension cracking takes place in a col1•nn1 the shear force on the 
col11n1n may be greatly relieved by the diaplacementa which result fro• 
cracking. 
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Tile behavior of the frame was better than had been expected. 
The ultimate load reached was higher than predicted, and the failure 
when it did occur was not catastropic. The extensive cracking which 
took place provided adequate warning that failure was inElinent long 
before the failure occurred. 
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.. - 7. CONCLUSIONS 
1. In frames with deep members the moment and shear at a 
given section may be grossly underestimated if the members are 
assumed to be prismatic. An upper bound to shears and moments 
at any section in a concrete frame with deep members can be deter• 
mined by two stiffness analyses. One analysis ~hould assume the ~-~ 
joints to be infinitely rigid. The other analysis should ass1Jme 
the members to be prismatic between the center lines of the joints. 
2. Shear reinforcement provided by the arch analogy 
• 
theory will behave satisfactorily in continuous members even though 
the upper arches ~y not be supported by the beam supports. 
3. Generally a frame is adequately designed if the 
strength of the beams and colunms are sufficient. In fram-es w·ith • 
deep members a possible mode of failure is the diagonal cracking 
of the joints and therefore, it is necessary to guard against tbia 
mode of failure. 
4~ A finite element analysis with constant stress element• 
will predict the behavior of a concrete frame with deep members 
relatively well before significant cracking occurs. After cracking 
has become well developed a finite element analysis will give 
satisfactory results only if it is·modified to account for •sar•a•~• . 
interlocking. 
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5. 'the ability of a cracked surface to carry shear can 
not be predicted by a shear friction analysis unless the reinforce-
ment has sufficient cover to prevent dowel action splitting. 
6. Deep members without shear reinforcement may have 
considerable reserve strength after diagonal cracking occurs if 
adequate longitudinal reinforcement is provided. 
7. The results of research on the shear capacity of 
statically determinate deep members loaded through the compression 
face· can not be applied directly to statically indeterminate deep 
members. 
8. Displacements of concrete frames with deep members 
may be considerably different than would be predicted by a stiffneae 
analysis. It was found, for example, that col\01n1s loaded in axial 
c.ompression, shear, and moment may increase in length aa load ia 
applied. 
• 
' 
• 
.•. 
• 
I 
.. , 
I . 
• 
' 
... ., 
~- ' 
' 
\ 
.. 
\ 
' 
·' 
I 
Q 
I 
I 
L. 
,1 
Ii 
II 
' ', l 
.i 
. 
:~ 
' 
'• \ 
. .. 
'~ 
.. 
:i 
• 
... 
• 
t 
.. 
• 
• 
. . 
I 
l~l 
\ i 
,1 
' • ~
,, 
~ 
I ; 
•. 
\l ,;: 
\ 
• 
.. 
• 
• 
.. 
-44 
' . 
TABLE 1 CONCRETE TENSILE AND COMPRESSIVE STRENGTH 
Location Ultimate Stress in Compression 
(psi) 
Ultimate Stress in 
Tension 
Lower Beam 
Average 
Average 
Upper Beam 
Average 
Col111nn 
Average 
Average 
Average 
* 
4300 
4280 
4290 
5000* 
5200* 
4900* 
5100* 
5050 
4950 
5240 
5065 
5340* 
5470* 
5405 
8050 
8110 
8080 
8940* 
8980* 
8960* 
(psi) 
Average 
Average 
Average 
These cylinders were tested at the same time that the frame 
. was tested. The Curing time waa 7S days. All other valuea 
given are 28 day atrengtha. 
465 
550 
526 
515 
465 
416 
440 
652 
615 
634 
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TABLE 2 
Bar Size 
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.  
REINFORCING STEEL PROPERTIES 
·• 
... 
Static Yield Stress 
(ksi) 
46.0 
so.o 
48.0 
.•.. 
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.. 
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,; 
Ultimate Streaa 
(ksi) 
76.0 
91.0 
81.0 
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TABLE 3 RESULTS OF STIFFNESS ANALYSES 
Location P* V 
Analysis fl·l** 
Beam Midspan 1.00 
--
Bean End 1.00 2.45 
Column 2.45 1.01 
-
Analysis #2** 
. 
.. 
Beam Midspan 2.96 --
Bean End 2.96 2.52 
. 
Col1mn 2.52 2.96 
• 
* Pis axial force in kips 
Vis shear force in kips 
M is morncnt in ft-1-:ips 
Live Load (85.0k) 
M p V M 
. 
(' 
7.13 12.9 21.7 12.5 
1.53 12. 9 . 21.7 19.5 
.. 0.52 21.7 12.9 6.7 
4.01 37.8 22.0 90.0 
4.43 37.8 22.0 57.5 
1.50 22.0 37 .8 19.7 
• 
** fl 1 An a 1 y s i s !F . 
Analysis 112 
assu1~1ed tl1e members to be prismatic 
assumed the joints to be infinitely stiff 
• 
.. 
• 
p 
13.9 
13.9 
24.2 
40.8 
40.8 
24.5 
.. 
•  
. ,- ~:··· 
., 
.... 
. . · ... 
. . 
. ; ~ ""•-'-·-··"''::i•be·:··· .,,:·~~· 
:~ .... 
Total Load 
V M • 
•: 
21.7 13.2 
24.2 21.0 
13.9 7.2 
: ..~ 
22.0 94.0 
24.5 62.0 
40.8 21.2 
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TABLE 4 
-
FRAME MOMENTS FROM STRAIN MEASUREMENTS IN REINFORCING STEEL 
Top Beam Bottom Beam Co 111011,a Applied 
Load . Midspan End Midspan End Top Bottom (ki:esl (ft-kiEs) {ft-ki:esl (ft-kiEs2 {ft-kiEs) {ft-ki2s2 (ft-kiESl 
.. 
. 
g 
0 
. 13.4 7.32 4.01 4.40 3.92 1.37 1. 2 7 
20.7 12.28 6.89 6.98 6.41 2.46 1. 97 
31.5 18.61 10.05 11.22 9.48 3.54 2.97 
-41.6 27.05 15.78 15.42 13.76 5.93 3.91 
,l.i 
. .. 
51.8 43.32 18.37 27.20 16.28 6.82 4. 73 • 
' .. 61.8 74.06 24.05 40.94 22.06 8.68 6.69 
71.6 92.25 28.30 54.26 26.35 10.08 8.13 
82.2 113.47 33.07 71.63 30.75 11.80 9.48 
I 92.0 131. 36(. 36.05 98.42 33.41 12.90 10. 26 
101.3 157.67 35.41 102.59 30.98 13.28 8.85 
. 111.9 181.08 40.26 122.37 35.84 14.90 10.4 7 
122.0 198.13 42.90 137.98 38.52 15.76 11.38 
130.2 213.15 38.96 167.30 35.04 14.29 10.38 
130.2 207.97 36.SS 168.37 33.17 13.31 9.93 
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T@LE 5 
COMPARISON OF COMPUTED AND AClUAL LOADS 
Applied Load 
Computed 
Load* Percent** Error Percent Error Min. Max. (Based on Min. (Based on Max. 
Load) Load) 
12.6 13.4 5.9 
-- --
• 19.0 20.7 9.8 
--
--28.3 31.5 14.8 
--
--35.6 41.6 21.6 
--
--41-.8 51.8 31.6 
54.3 61.8 48.3 
-11.0 • 
-21.9 63.8 71. 6 . 60.4 
-
5.1 
-15.6 75.8 82.2 74.7 
-
1.1 
- 9.0 84.3 92.0 89.8 .. + 6.5 
-
3.5 94.0 101.3 98.0 + 4.3 
-
3.4 108.4 111.9 113.9 + 5.0 + 2.0 116.6 122.0 125.3 + 7.4 + 2.5 112.0 130.2 136.4 +22.0 + 4.5 111.5 130.2 133.8 +20.0 + 2.7 
* Based on strain gage readings • 
**· The percent error is not computed for load~ leas than 
I ,: 
, . 
/· 
the cracking load 
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